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Af floor area 

At a total area of enclosure 

Av total area of vertical opening 
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b thermal absorptivity of surrounding surface of the compartment 
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c specific heat 

CP collapse prevention 
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E Elastic modulus 
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O operational 
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ũ dimensionless parameter 
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Abstract 

 

Post-earthquake fire events over the past few decades have become a major threat for 

buildings in seismic prone regions. Although post-earthquake fire events have caused 

many fatalities and high levels of damage, current building codes do not consider fire 

following an earthquake as a specific loading case. Furthermore, the current philosophies 

of seismic design permit a certain degree of damage to the structural elements which 

potentially makes structures more vulnerable when subjected to post-earthquake fire. This 

study is intended to address the fact that only limited research exists on the behaviour of 

earthquake damaged composite steel frames in a fire. The main objective is to improve the 

current understanding of post-earthquake fire behaviour of composite steel frames with a 

view to providing design recommendations. 

This study analysed a generic five-storey composite steel frame office building which is 

commonly used for modern buildings in seismic regions. For the first time, three-

dimensional numerical models were developed to simulate the structural behaviour under 

fire following an earthquake. The finite element software ABAQUS v6.13 was used to 

model the structures. Steel beams and columns were modelled using two-node linear beam 

elements while concrete slabs were modelled using shell elements. A series of verification 

analyses were conducted to ensure that the results obtained from analysis give an 

acceptable level of accuracy.  

The finite element model was used to investigate the effect of earthquake damage on the 

fire resistance of composite steel frame buildings. A total of two types of earthquake 

damage; fire insulation delamination and residual lateral deformation, were investigated. 

Failure of the structure was defined using two measures, a beam deflection exceeding 

span/20 and column buckling. It was found that the earthquake damage can significantly 

reduce the fire resistance of the composite building. The reduction in fire resistance times 

results mainly from fire insulation delamination, particularly in the columns, rather than 

residual deformation. 
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It was also found that fire insulation delamination on the protected beams, as might occur 

in an earthquake, considerably reduces the development of tensile membrane action. This 

has significant consequences for design because the benefits of tensile membrane action 

are often used for performance-based fire design of composite structures. Two methods of 

improvement are presented in this study to enhance the development of tensile membrane 

action concurrent with fire insulation delamination. Based on the results obtained, 

increasing slab thickness and improving fire protection rating can enhance the fire 

resistance of the whole building even with fire insulation delamination. 

The progressive collapse analysis of a 3D composite building under fire following an 

earthquake was also investigated. Several different locations of fire scenarios were first 

studied to investigate load redistribution path along two horizontal directions and the 

membersô interaction within the composite building frame. Then, the effect of residual 

deformation after an earthquake on the progressive collapse analysis of the composite 

building was investigated. It is found that neither the load redistribution path nor the fire 

resistance of the building is considerably affected by the residual deformation. A series of 

progressive collapse analyses subjected to travelling fire resulting from fire compartment 

damage was also performed. It is concluded that the survival of the building can be greatly 

affected by the spatial nature of the travelling fire as well as the inter-zone time delay. 

Therefore, a range of travelling fire scenarios must be considered based on the 

compartment condition to guarantee that the building can withstand the óworst case 

scenarioô. 
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CHAPTER 1 

INTRODUCTION  

 

1.1 Background 

Fire following an earthquake has become a major threat for buildings in seismic 

prone areas. A number of recorded experiences have indicated that damage caused by fire 

following an earthquake could be more severe than that produced by the earthquake itself 

(Scawthorn et al., 2005). For instance, fires following the earthquake caused 80% of the 

total damage in the 1906 San Francisco earthquake (Scawthorn, 2008). In the 1923 Tokyo 

earthquake, the losses due to fire following the earthquake event were over 70% of total 

building losses and resulted in 140,000 deaths (Scawthorn, 2008). More recently, the post-

earthquake fire destroyed 7000 buildings in the 1995 Kobe earthquake (Faggiano, 2007).  

Although the damage caused by fire following an earthquake can be very significant, 

fire following an earthquake is not considered as a specific loading case in many prevalent 

design approaches. This is due to the fact that its probability is considered low. However, 

the historical records above show that the consequences associated with fire following an 

earthquake can be very high. Thus, the design should comply with a special accidental 

situation such as fire following an earthquake, as specified in Eurocode EN 1990 (CEN, 

2002a). Regarding load combinations, the concomitancy of two accidental loads is not 

taken into account, reflecting the perceived rarity of such a concomitancy of two low-

probability events. Although this assumption can be justified for independent events such 

as floods and arson, it is not reasonable for the case of interdependent actions such as fire 

induced by earthquake or explosions. Given the numerous fatalities and high fire losses in 

past events, it seems essential to study the behaviour of buildings under multi-hazard 

events such as fire following an earthquake. 

 The current philosophies of seismic design permit a certain degree of damage in 

structural elements under earthquake. Such structural damage potentially makes buildings 

more vulnerable when subjected to fire following an earthquake. Meanwhile, the fire-

fighting system may have difficulties in suppressing fire due to extreme traffic congestion, 
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lack of water supply and other possible problems in the time period after the earthquake. 

In this case, more time will be needed to control fire than in the normal condition. 

Furthermore, in the context of steel buildings, passive fire protection systems may be 

compromised due to damage and fail to delay the temperature rise in the steel, as assumed 

in design. These phenomena contribute to a negative effect on the fire resistance of the 

building. Thus, the reduction of fire resistance due to earthquake damage becomes a 

critical aspect when evaluating fire safety of buildings after an earthquake.  

This research concentrates on the behaviour of composite steel frames under fire 

following an earthquake. Composite steel frame structures have been widely used in 

multi-storey building construction since they offer many advantages. In this context, a 

composite steel frame structure is a structure whereby the steel floor beams act 

compositely with the concrete floor slabs. Such structures have the advantage of being 

lightweight and utilise the composite interaction between the slab and steel beams to 

enhance load carrying capacity and stiffness, thus representing a more efficient use of steel 

compared to a non-composite frame. Moreover, metal decking on the top of the steel 

beams can act as permanent formwork in order to eliminate external formwork. Hence, the 

use of composite slab reduces construction as well as workforce cost. However, since steel 

is sensitive material, there is a significant reduction of material properties such as strength 

and modulus of elasticity at elevated temperature. To maintain the stability and integrity of 

steel structures during a fire, fire insulation such as spray fire-resistive material (SFRM) is 

commonly applied on the surface of the steel structure. The primary role of fire insulation 

is to delay the temperature rise of the steel during a fire. 

To date, only limited studies have been conducted on the behaviour of earthquake 

damaged composite steel frames in a fire. Thus, in this study attention is focused on 

addressing the lack of detailed understanding of the behaviour of earthquake damaged 

composite steel frames in a fire. For the first time, three-dimensional numerical models are 

employed to simulate the structural behaviour under fire following an earthquake.  

 

1.2 Objective 

This research is intended to address the fact that only limited research exists on the 

behaviour of earthquake damaged composite steel frames in a fire. The ultimate goal of 
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this research is to improve the current understanding of post-earthquake fire behaviour of 

composite steel frames with a view to providing design recommendations. Thus, the 

objectives of this research are: 

1. To develop and validate numerical models able to simulate the 3-D behaviour of 

composite steel frames subjected to fire following an earthquake. The numerical 

models are developed to take into account the damage typically seen in the 

earthquake-damaged structure. 

2. Using the validated finite element (FE) models, to provide a comprehensive review 

of the effect of earthquake damage on the behaviour of composite steel frames in a 

fire. 

3. To investigate the consequence of fire insulation delamination on the protected 

beams, as might occur in an earthquake, in regards to the behaviour of the 

composite floors under fire conditions, and to provide methods to improve the fire 

resistance of the composite floors when fire insulation delamination has occurred. 

4. To present progressive collapse analysis of composite buildings subjected to local 

post-earthquake fire. The intention is to give fundamental insight into load 

redistribution paths along two horizontal directions and the member interactions 

within the composite building frame. 

 

1.3 Outline 

This thesis is structured into seven chapters as follows: 

Chapter 1 presents a general introduction to this research, objectives and thesis structure.  

Chapter 2 reviews the behaviour of the composite buildings under fire and earthquake 

damage. This chapter aims to showcase, theoretically and practically, the numerical 

analysis methods used in the studies. The chapter concludes by highlighting the gaps 

among the existing studies that require further investigation. 

Chapter 3 describes the numerical modelling and validation. The ABAQUS v6.13 finite 

element software package is used to model and analyse the structure. A series of 

verification analyses are also conducted to confirm that the results obtained from the finite 

element software give an acceptable level of accuracy. 
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Chapter 4 utilises a three-dimensional numerical model to simulate the behaviour of 

composite steel frames in the fire following an earthquake. Two types of earthquake 

damage, fire insulation delamination and residual deformation, are considered. This 

chapter investigates the effect of the damage on the reduction of fire resistance rating.  

Chapter 5 investigates the effect of fire insulation delamination of the protected beams on 

fire resistance of the composite floor. This chapter also provides the methods that may be 

used to enhance the fire resistance of composite slabs when fire insulation delamination 

occurs after an earthquake. 

Chapter 6 studies the robustness of earthquake damaged composite steel frames subjected 

to post-earthquake fire. Several fire scenarios are considered to identify the critical part of 

the building that may be vulnerable to post-earthquake fire loading. 

Chapter 7 summarises the main conclusions and identifies future research opportunities. 
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CHAPTER 2 

LITERATURE REVIEW  

 

2.1  Introduction  

The main topic of this research project is the behaviour of composite steel frames 

under fire following an earthquake. Therefore, this literature review will cover the 

following aspects: 

1. Fire following an earthquake event 

2. Earthquake damage 

3. Steel-framed composite structures in a fire 

4. The methodology of post-earthquake fire analysis 

5. Previous studies on post-earthquake fire analysis 

6. Progressive collapse  

2.2  Fire following an earthquake event 

Fires and earthquake are basically accidental actions and considered to be 

independent events. However, a major earthquake may cause a chain of catastrophic 

events, one of which could be fire following an earthquake (FFE). A review of historical 

records indicates that in the last century fire following an earthquake grew into disastrous 

dimensions. In the 1906 San Francisco earthquake, the losses due to the post-earthquake 

fire were estimated to be approximately 80% of total damage with 3000 fatalities 

(Scawthorn, 2008). In the 1923 Tokyo earthquake, more than 70% of total building losses 

resulting in 140,000 deaths were caused by post-earthquake fire, considered to be the most 

destructive ones during the peacetime.  

There have been other major earthquakes that have been followed by fires. The 

majority of Californiaôs earthquakes have been followed by multiple ignitions. For 

instance, the 1971 San Fernando and 1994 Northridge earthquakes were followed by more 

than 100 ignitions. The Kobe 1995 earthquake was also followed by over 100 ignitions 
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(Scawthorn et al., 2005). Other cities that experienced fire following an earthquake 

include Napier, New Zealand in 1931 and Izmit, Turkey in 1999. Although the numbers of 

deaths were significantly less, the damage due to post-earthquake fires was substantial.  

However, many recent earthquakes have not been followed by fire, for example, 

2011 Christchurch (New Zealand), 2008 Wenchuan (China) and 2005 Kashmir (Pakistan). 

This shows that the risk of FFE is very non-uniform. The level of urbanisation and 

industrialisation is an apparent factor that possibly causes this uncertainty. As an example, 

fire following an earthquake is unlikely to occur in the remote regions of Kashmir. 

However, the risk of FFE must be considered in urbanised areas with dense gas, fuel and 

electrical supply networks. Electrical and gas-related failures are the most common fire 

triggering events (Rahmanian and Ismail, 1992). Recently, in the 2018 Lombok 

earthquake and the 2019 California earthquake, there were a number of post-earthquake 

fire events which were started by damaged gas mains (BBC News, 2019, 2018). 

For this reason, the timing of an earthquake also plays a crucial in fire spreading 

(e.g. electrical appliances are used more often in the evening or in winter time). With an 

increase in the worldôs economy, FFE events have the potential to create such a disaster 

and thus need to be considered (Usmani, 2008). Furthermore, current philosophies of 

seismic design allow a specific degree of damage to the structural member, connection and 

fireproofing which could leave some structural elements and components vulnerable to 

post-earthquake fire. With substantial damage recorded from previous events, there is a 

need to understand and quantify the response of the buildings under multi-hazard events 

such as fire following an earthquake.  

 

2.3  Earthquake damage 

A key aspect of fire following an earthquake analysis is determining a structureôs 

state after an earthquake as this represents the initial condition for the subsequent fire 

event. The current philosophies of seismic design allow a certain degree of damage which 

potentially makes buildings more vulnerable when subjected to fire following an 

earthquake. However, it is well known that providing detailed information regarding 

earthquake damage is difficult due to the randomness and uncertainties of both structural 

properties and earthquake vibration. Although the capability of computational modelling 
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for earthquakes has been significantly improved in recent decades, it remains challenging 

to provide accurate predictions of structural performance. Accordingly, this section 

presents three forms of damage that may occur due to an earthquake, which can be used as 

an initial step for fire analysis, as follows: 

1. Geometrical damage 

2. Mechanical damage 

3. Fire protection damage 

The three forms of damage are described in the following sub-sections including 

existing experiments and previous studies. 

2.3.1  Geometrical damage 

Geometrical damage is the irreversible deformation due to a plastic strain that 

commonly exists after an earthquake. It should be considered as the change of the initial 

structureôs geometry due to the residual deformation result of plastic excursions during an 

earthquake. Residual deformation can be dangerous since the bending moment in the 

members will be increased by the interaction of vertical with the horizontal deflection, or 

so-called P-ȹ effects, as illustrated in Figure 2.1. 

 

Figure 2.1: Residual deformation of a structure after an earthquake 
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Current seismic design philosophies provide a realistic and reliable understanding of 

the risk to life, occupancy and economic loss that may affect a building during and after an 

earthquake. Design criteria are determined by stating the performance objectives that can 

be achieved when the structure is subjected to an earthquake. The performance levels of 

the building are categorised into three different levels, i.e. Immediate Occupancy (IO), 

Life Safety (LS) and Collapse Prevention (CP). Each level represents the expected damage 

caused by an earthquake, as shown in Table 2.1.  

The performance levels can be tied to the inter-storey drift ratio (IDR) as an 

indication of the global stability of a structure (Bruneau et al., 1997; Della Corte et al., 

2002). The IDR is the ratio between storey displacement relative to the adjacent storey, 

and the storey height. The IDR may also be associated with local plastic deformation 

(Gupta and Krawinkler, 2000). According to ASCE 41-06, the IDR value is less than 

0.7%, 0.7-2.5% and 2.5-5% for the performance level of IO, LS and CP, respectively. 

Table 2.1 Building performance levels (ATC, 1996) 

Level Description 

Operational (O) Very little damage, temporary drift, the structure retains original 

strength and stiffness, all systems are normal 

Immediate 

Occupancy (IO) 

Little damage, temporary drift, the structure retains original strength 

and stiffness, elevator can be restarted, fire protection still works 

Life Safety (LS) Fair damage, some permanent drift, some residual strength and 

stiffness left, damage to partition, the building may be beyond 

economical repair 

Collapse 

Prevention (CP) 

Severe damage, large displacement, little residual stiffness and 

strength but load-bearing column and wall function, the building is 

close to collapse 

 

Table 2.1 shows that the seismic design allows a certain level of damage to the 

structure indicated by the inter-storey drift ratio. Thus, the present study investigates the 

influence of the damage on the post-earthquake fire behaviour of composite steel 

structures. The effects of two damage levels, LS and CP (Life Safety and Collapse 

Prevention), are investigated. Operational (O) and Immediate Occupancy (IO) levels are 
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not taken into account since the buildings have little damage and temporary drift (within 

the elastic region).  

 

2.3.2  Mechanical damage 

The mechanical damage can be quantified by means of strength and stiffness 

degradation of those parts of the structure engaged in the plastic range deformation. The 

repetition of plastic deformation during an earthquake can cause some reduction in 

mechanical properties.  

For simplicity, an ideal elastic-perfectly plastic structure with non-degrading 

components is considered in the present study. This assumes that the repetition of plastic 

deformation during an earthquake does not induce some reduction of mechanical 

properties. The assumption of non-degrading structural components is realistic in the 

range of plastic deformation induced by earthquakes at design performance level (Della 

Corte et al., 2003). If the structure is designed adequately against an earthquake, plastic 

deformation demand is relatively small. Therefore, in such a case, the mechanical damage 

is apparently negligible. In contrast, if the structure is not sufficiently strong, the effects of 

strength and stiffness degradations need to be considered.  

Furthermore, moment resisting frames are commonly used for building frames in 

seismic regions. The frames designed with high ductility are expected to experience large 

deformations. For moment resisting frames designed according to Eurocode EN 1998-1 

(CEN, 2004a), strength degradation becomes significant only for very large values of the 

peak ground acceleration (PGA), which permits it to be disregarded in a wide range of 

practically useful seismic intensity (Della Corte et al., 2003). 

 

2.3.3  Fire protection damage 

Damage sustained by active and passive fire resistance systems in steel-framed 

buildings after an earthquake has been highly variable and can be substantial. This damage 

may result in the structural element being exposed to elevated temperature when fire 

following an earthquake occurs. 



28 

 

Past events have demonstrated that an earthquake can cause fires in buildings, 

damage active fire protection and reduce the effectiveness of fire-fighting capabilities. 

During earthquake events, a building that has been designed beyond the Life Safety level 

is expected to have considerable damage to non-structural components and fire 

suppressing piping (ATC, 1996). Thus, passive fire protection systems, such as sprayed 

fire-resistive material (SFRM), may play an important role to mitigate the effects of the 

fire on the structural system in a building. The main function of SFRM is to delay the 

temperature rise in steel.  

However, the role of SFRM can be compromised if it becomes detached from the 

steel member. Recent studies have shown that SFRM can delaminate under static and 

dynamic loading. Braxtan and Pessiki (2011) conducted a large-scale experimental test to 

examine damage patterns in SFRM on steel moment frames. The frames insulated with 

SFRM (dry-mix material and wet-mix material) were subjected to quasi-static loading. 

Large deformation and plastic hinges occurred, resulting in local damage to the SFRM on 

the beams adjacent to the column, as shown in Figure 2.2. Wang et al. (2013) conducted 

cyclic monotonic tests on a cantilever column insulated with cementitious SFRM. The 

results showed that the adhesion of fire insulation with steel columns is generally weak 

and the fire insulation delaminates from the steel surface at the bottom of the columns 

under cyclic loading.  

To understand the extent and location of fire insulation delamination, Kodur and 

Arablouei (2015) investigated the mechanisms of fracture and delamination of fire 

insulation from a steel structure using an experimental-numerical approach based on 

fracture mechanics. The extent of delamination over the structural members was 

quantified and related to a delamination characteristic parameter under seismic and blast 

loading. The results indicated that the elastic modulus of the SFRM, its thickness and 

fracture energy are the most influential parameters that govern the mechanics and extent 

of delamination of fire insulation under seismic loading. The above studies indicated that 

SFRM could crack and delaminate from steel structures during an earthquake. The fire 

insulation delamination is concentrated in the elements where plastic hinges occur.    



29 

 

 

Figure 2.2: Fire insulation delamination on a beam (Braxtan and Pessiki, 2011) 

 

The effect of fire insulation delamination on the steel members can jeopardize the 

structural stability of the building. Several studies have focused on studying the effect of 

fire insulation delamination on the fire resistance. Tomecek and Milke (1993) utilised a 

finite element heat transfer analysis to study the behaviour of steel columns with loss of 

protective material. The failure criteria based on the predicted thermal response and 

ASTM E-119 (ASTM, 1995) thermal criteria are applied to estimate fire resistance of the 

columns. They found that there is a significant reduction in fire resistance for lightweight 

columns and for the scenario where the location of fire protection loss is in the flange 

rather than the web.  

Ryder et al. (2002) studied the effect of the loss of fire protection on the thermal 

response of the column. Two columns, W6x16 and W14x233, were protected with 

sprayed applied fire protection material. The thickness was determined for the case of full 

protection to obtain a one-hour and two-hour fire resistance rating. Three-dimensional heat 

transfer analysis was performed to simulate the heating condition in accordance with 

ASTM E-119 thermal criteria. The results showed that loss of fire protection and column 

size have a significant effect on the thermal response of the column regardless of the 

protection thickness. Keller and Pessiki (2012) presented a case study to evaluate the 

effect of earthquake-induced damage to SFRM damage on the behaviour of a steel 

moment resisting frame in a fire. The damaged SFRM in the hinge regions exposes bare 

steel to elevated temperature during a post-earthquake fire event and leads to softening 

moment-rotation response of the beam-column assembly. The reduction of rotational 
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stiffness causes an increase in the flexibility of the structural system and worsens the drift 

demands. 

Wang and Li (2009) conducted an experimental study to investigate the behaviour of 

steel columns with partial loss of fire insulation. The damaged length of fire insulation is 

14% and 7% for specimens S-1 and S-2, respectively, at both ends of the columns. The 

specimens were subjected to the ISO 834 Standard Fire (BSI, 2014). Displacement and 

temperature were measured and compared with finite element analysis. The results 

showed that fire resistance of the steel column with fire insulation damage is reduced. The 

failure mode of specimens can be yielding or buckling at the location of steel without 

insulation. It is worth noting that the finite element model used by Wang and Li cannot 

capture local buckling. This shortcoming means that fire resistance of the column from the 

finite element is higher than that of the experiment for specimen S-1. When the damaged 

fire insulation is long (specimen S-1), buckling occurs before yielding. 

Arablouei and Kodur (2016) studied the effect of fire insulation delamination on the 

structural performance of a steel structure during a fire following an earthquake. The 

extent of delamination of the fire insulation over the structural elements is adopted from 

previous fracture mechanics-based studies (Arablouei and Kodur, 2014). Four incremental 

delamination scenarios, i.e. 25%, 50%, 75% and 100%, over the plastic hinge region are 

considered. The steel cross section is left completely unprotected in the delamination 

region. The results showed that fire insulation delamination from the plastic hinge region 

in the beam near column has a significant effect on the reduction of failure time.  

The above studies indicate that the passive fire protection system has a significant 

role in the vulnerability of steel structures subjected to fire following an earthquake. 

Therefore, it is essential to quantify the protection delamination in the assessment of a 

building subjected to fire following an earthquake. Accordingly, in the present study, it is 

assumed that fire insulation delamination may occur at both ends of the primary beams 

and at the bottom of the columns where the plastic hinges may occur during an earthquake 

in line with the experimental observations described. In these delamination regions, the 

steel can be assumed to be unprotected. 
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2.4  Steel-framed composite structures in a fire  

This section describes a variety of factors that affect the behaviour of steel framed 

composite structures in a fire. 

2.4.1  Material behaviour 

Knowledge of a materialôs behaviour at elevated temperature is crucial to an 

understanding of structures in fire conditions. The effect of temperature on material 

behaviour broadly consists of the reduction of material properties (yield strength and 

modulus elasticity) and thermal expansion. The material behaviour of steel and concrete at 

elevated temperature is more complex than at ambient temperature. Both materials 

become weaker and flexible at high temperature. A number of theoretical models have 

been produced to represent the material behaviour of steel and concrete at elevated 

temperature. Many national codes such as NZS 3404, AS 4100, BS 8110 and Eurocode 

have proposed slightly different approximations for design purposes. In this study, 

Eurocode is selected since it is widely used and has been validated by many researchers 

(Jiang and Li, 2016; Lin et al., 2015; Memari et al., 2014; Selamet and Bolukbas, 2016).  

a. Steel 

At ambient temperature, steel is relatively ductile and can be considered to have the 

same strength and stiffness in tension and compression. Although these characteristics 

remain, the material and thermal properties of steel at elevated temperatures are different 

to those at ambient temperature. Eurocode EN 1993-1-2 (CEN, 2005a) presents standard 

hot-rolled carbon steel temperature-dependent properties including stress-strain 

relationship, thermal expansion, specific heat and conductivity.  

Stress-strain relationships at elevated temperatures are based on the steady-state test 

at certain elevated temperatures or transient state test. Kirby and Preston (1988) conducted 

tests under both steady-state and transient state. At ambient temperature, the steel yield 

plateau is essential since it defines the design yield strength of the material at a given 

strain. However, at elevated temperatures, the tests showed strains in excess of 3%, which 

included the thermally induced strain. Then, the Eurocode EN 1993-1-2 (CEN, 2005)  

adopted the results from Kirby and Preston (1988) to describe the stress-strain relationship 

of carbon steel by a linear response up to the proportional limit, followed by an elliptical 

transition zone turning into a plateau at the effective yield stress (related to a 2% strain 
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limit) until the strain reaches 15%, and then a linear decrease to zero stress at 20% strain. 

Figure 2.3 gives the stress-strain relationship without strain hardening. Figure 2.4 shows 

the reduction factors for yield stress, elastic modulus and proportional limit.  

 

Figure 2.3: Stress-strain relationships for carbon steel at elevated temperatures 

(CEN, 2005a) 

 

Figure 2.4: Reduction factors for carbon steel at elevated temperatures (CEN, 2005a) 

 

Thermal expansion occurs when materials are heated. The coefficient of thermal 

expansion, ɻ ʃ, can be defined by: 

‌—
Ў

   (2.1) 

where ʀth ʃ is the strain resulting from a change in temperature and ȹT is a change in 

temperature. The coefficient of thermal expansion increases proportionally with 
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temperature up to around 750°C. At this stage, a temporary sudden shrinkage of the steel 

occurs as the atomic structure changes from body-centred cubic to face-centred cubic. 

Then the expansion starts again at around 850°C.  

In practical design, the thermal expansion can be determined by using the value of 

1.4 x 10
-5
 C

-1 
(BS EN, 1990). Eurocode EN 1993-1-2 (CEN, 2005a) presents a more 

detailed approach which divides thermal strain, rather than coefficient of thermal 

expansion, into three stages in the range 20 ï 1200°C, as shown below. The thermal strain 

can be converted to the coefficient of thermal expansion within small temperature ranges.    

For 20°C Ò ɗa < 750°C:  

Ўὰὰϳ ρȢς ρπ—Á πȢτ ρπ—Á ςȢτρφρπ (2.2) 

For 750°C Ò ɗa Ò 860°C:  

Ўὰὰϳ ρȢρ ρπ (2.3) 

For 860°C < ɗa Ò 1200°C:  

Ўὰὰϳ ς ρπ—Á φȢς ρπ (2.4) 

where l  is the length at 20°C, ȹl is the temperature induced expansion and ʃa is the steel 

temperature (°C).  

 

b. Concrete 

The characteristic behaviour of concrete is more complex than that of steel. Concrete 

is also a brittle material and the stress-strain behaviour in compression is very different 

from the behaviour in tension. Schneider (1988) provides an overview in assessing 

material properties for concrete at high temperature. Then, the results of analytical models 

for strength and stress-strain response became the basis for the model in Eurocode 1992-1-

2 (CEN, 2004b). These were developed for both normal and lightweight concrete.  

Eurocode 1992-1-2 (CEN, 2004b) gives concrete temperature-dependent properties 

including thermal and mechanical properties. A typical stress-strain curve for concrete in 
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compression is shown in Figure 2.5, based on the values in Eurocode EN-1992-1-2 (CEN, 

2004b).  This curve is represented as: 

„— ȟɝ

ȟ
ȟ

    (2.5) 

where ů(ɗ) is the compressive stress and Ů is the compressive strain. Table 2.2 shows the 

main parameters to define the stress-strain relationships of concrete at elevated 

temperature.  

After heating to the maximum temperature, concrete does not recover its initial 

compressive strength. Eurocode EN-1994-1-2(CEN, 2005b) recommends that an 

additional loss of 10% of the value at maximum temperature can be applied when the 

maximum temperature exceeds 300°C. The evolution of the compressive strength is 

considered as varying linearly from maximum temperature to ambient temperature. Figure 

2.6 illustrates the recommendation of Eurocode EN-1994-1-2(CEN, 2005b). The dashed 

line shows the reduction of compressive strength during the heating phase and the solid 

line shows the reduction of compressive strength when heating up to 500°C followed by 

cooling to ambient temperature. It can be observed that the reduction of 0.6 at 500°C 

reduces linearly to a reduction of 0.54 at ambient temperature.  

 

Figure 2.5: Stress-strain relationship for concrete at elevated temperatures        

(CEN, 2004b)  
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Table 2.2 Value of the main parameters of the stress-strain relationship for concrete 

at elevated temperature (CEN, 2004b) 

Temperature 

(C) 
kc,ɗ = fc,ɗ/fc Ůc1,ɗ Ůcu1,ɗ 

20 1 0.0025 0.0200 

100 1 0.0040 0.0225 

200 0.95 0.0055 0.0250 

300 0.85 0.0070 0.0275 

400 0.75 0.0100 0.0300 

500 0.6 0.0150 0.0325 

600 0.45 0.0250 0.0350 

700 0.3 0.0250 0.0375 

800 0.15 0.0250 0.0400 

900 0.08 0.0250 0.0425 

1000 0.04 0.0250 0.0450 

1100 0.01 0.0250 0.0475 

1200 0 - - 

 

 

Figure 2.6: Reduction of compressive strength during heating and cooling               

(Li and Franssen, 2011) 

 

        Tensile behaviour of concrete at elevated temperature is difficult to predict. For 

structural design purposes, Eurocode EN-1992-1-2 (CEN, 2004b) suggests that the tensile 

strength of concrete can be assumed to be zero (conservative). In such cases when the 

model is a little vague, the tensile strength may need to be considered in the analysis. 
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Schneider (1988) provided a condensed survey of the present state of knowledge in the 

field regarding the high temperature of concrete to estimate the fire behaviour of concrete 

members. The study reported that the tensile strength of concrete can be assumed to be 

10% of the compressive strength. 

The thermal expansion of concrete is very complex since the constituent ingredients 

of concrete behave differently when they are heated. Thus, it depends on many factors 

such as type of aggregate, type of cement and water-cement ratio. Eurocode EN-1992-1-2 

(CEN, 2004b) presents a simple formula to calculate concrete thermal expansion. For 

lightweight concrete, the equation is: 

Ўὰὰϳ ψ ρπ —Ã ςπ   (2.6) 

where l is the length at 20°C, ȹl is the temperature induced expansion and ʃc is the 

concrete temperature (°C).  

 

2.4.2  The behaviour of composite steel-framed buildings in a fire  

a. The behaviour of restrained steel beams in a fire  

Steel beams are the primary load-carrying members in a steel-framed structure. The 

restrained beam response in a fire can be split into three stages (Wang, 2002), as shown in 

Figure 2.7. In stage 1, the elastic response dominates in the beam behaviour wherein the 

beam expands as a result of continuous heating, and compressive axial force and bending 

moment develop due to the effect of end-restraints. Fire-induced internal forces and 

deflections continue to increase until yielding. In stage 2, the elasto-plastic response 

dominates in the beam behaviour. As the steel temperature continues to increase with fire 

exposure time, softening of the steel causes larger deflection and rotations until the first 

plastic hinge develops in the beam. The deflection increases suddenly because a plastic 

hinge forms at the location of the maximum bending moment in the beam. In stage 3, the 

beam moves into catenary action. Tensile force develops in the beam and the load-bearing 

mechanism gradually changes from flexural to cable (tensile) until failure occurs by 

rupture of the beam. It is assumed that the connections perform elastically in the three 

stages above. Therefore, connection failure is not taken into account.  
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In order to determine the capacity of the beam, British Standard BS476 (BSI, 1987) 

suggests maximum mid-span deflection L/20 in which L is the beam span. This limit is 

applied to ensure the safety of equipment during the fire test. Moreover, at this stage, the 

beam is not able to transfer the load and plastic hinges are formed (Kodur and Dwaikat, 

2007). Therefore, this limit is adopted in the present study to determine the failure of the 

beam.  

 

Figure 2.7: Typical fire response of a restrained beam in a fire  (Wang, 2002) 
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b. The behaviour of composite slabs in a fire 

In the most common and conventional fire safety design, the fire resistance of steel 

framed buildings has been estimated by Standard Fire tests on isolated elements supported 

statically determinately (BS EN, 1999). In reality, the buildings do not behave as isolated 

individual elements. When an individual steel element loses strength and stiffness, in 

many cases the load will be transferred to other parts of the structure, i.e. load-carrying 

mechanisms change. Therefore, the actual response of buildings cannot be assessed by the 

conventional approach. A clear example of this sort of behaviour seen in real structures 

was shown during the UK Cardington fire tests (Bailey et al., 1999; Gillie et al., 2001). 

These tests indicated that tensile membrane action in concrete floor slabs of steel-concrete 

composite buildings can improve the fire resistance substantially beyond that which might 

be assumed from single element tests.  

Tensile membrane action develops when the slabs undergo large vertical 

displacements. As can be seen in Figure 2.8, tensile membrane action occurs in a two-way 

spanning slab when the induced radial tension in the centre of the slab is balanced by a 

peripheral ring of compression (Bailey, 2004). Tensile membrane action can develop 

within the floor slab when the slabôs perimeter is vertically supported. Thus, the 

supporting beam around the perimeter of the slab panel must be able to support the 

vertical load without a plastic hinge forming. When tensile membrane action is considered 

in the design, the composite slabs need to be divided into slab panels. The internal 

secondary beams can be left unprotected and the supporting beams around the perimeter 

of the slab panel are protected so that they can support the vertical load without plastic 

hinges forming. Vertical support can practically be achieved by protecting beams around 

the perimeter of the slab panel to achieve a temperature of less than 620°C (specific limit 

temperature) at the required fire resistance time (Abu et al., 2008).  
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Figure 2.8: Tensile membrane action in a slab (Bailey, 2004) 

Allowing for tensile membrane action in design can significantly reduce the need for 

fire protection of steel beams. Hence, it is not surprising that many studies have been 

conducted on the influence of tensile membrane action on the fire resistance of composite 

steel-framed buildings. Huang et al. (2004) conducted a series of analyses to investigate 

the effect of tensile membrane action in composite slabs using different patterns of fire 

protection for the steel beams using a computer program, Vulcan. This study was based on 

a composite floor with four bays (9 x 9 m) in each direction. The aspect ratios of the 

unprotected slab areas ranging from 1:1 to 4:1 were considered. The study showed that it 

is possible to leave a number of the beams unprotected due to the beneficial effect of 

tensile membrane action. A further series of analyses were also performed with the fire 

compartment in different locations. The results showed that the surrounding cool structure 

can improve the fire resistance of the fire compartment.  

Lamont et al. (2007) compared the fire behaviour of composite buildings when fire 

protection is applied only to edge beams and when no beams are fire protected. The 

generic structure was designed with a similar construction to the Cardington frame. The 

structural behaviour of the frame subject to a natural fire was analysed using a numerical 

model.  It was found that when external beams are protected, the slab tends to span in two 

directions owing to there being sufficient support for the tensile membrane action 

mechanism. In contrast, when no beams are protected, the slab tends to span in one 

direction in a manner similar to beams in catenary action. Thus, fire-protecting edge 

beams increases the fire resistance of composite buildings.  
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Lin et al. (2015) investigated the effect of protected beams and their connections on 

the fire resistance of composite buildings. A generic 45 m x 45 m composite floor subject 

to fire was analysed. The behaviour of the end plate and partial end plate connections was 

modelled using simplified connections models developed by the authors. The connection 

failure was considered. The results showed that connection failure reduces the vertical 

support for the slab panel, resulting in a significant reduction of tensile membrane action 

within the floor slab. The study also compared the behaviour of the composite floor with 

fixed and non-fixed vertical support on the protected steel beams at the perimeter of the 

slab panel. The results showed that non-fixed vertical support significantly reduced the 

development of tensile membrane action. In comparison to the case with fixed support, 

tensile membrane action was fully mobilised.  

Nguyen and Tan (2017) conducted experiments on three one-quarter scale 

composite slabs with different bending stiffnesses of protected edge beams under fire 

condition. A typical specimen with a slab 2.25 m x 2.25 m and an outstand of 0.45 m 

around the four edges was investigated. The slab panel was rotationally restrained. A load 

of 15.8 kN/m
2
 was applied. The slab was heated up to failure. When the failure was 

identified, the load was removed, and the cooling phase began. The results showed that an 

increase of the edge beam bending stiffness initially reduced the deflection. At higher 

temperature, the effect of the greater stiffness of the edge beams was negligible.  

Jian and Li (2018) investigated parameters affecting tensile membrane action of a 

reinforced concrete floor in a fire. A 6 m x 9m concrete slab with a depth of 200 mm was 

investigated. The concrete slab was subjected to ISO Standard Fire. An explicit dynamic 

analysis was carried out using LS DYNA. The effects of load ratio, boundary condition, 

slab thickness and reinforcement layout on the development of tensile membrane action 

were investigated. The failure of slabs was initiated by the rupture of reinforcement. The 

study found five failure modes of the slab depending on reinforcement layout, aspect ratio 

and boundary condition. The results also revealed that the critical reinforcement 

temperature of 600°C is essential to ensure the development of tensile membrane action.  

All of the aforementioned studies confirmed that protected edge beams have a 

significant effect on the fire resistance of a structure. However, these studies mainly 

assumed that vertical support along the perimeter of the slab panel was provided by 

protected beams. It appears there are no studies on the effect of fire insulation 
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delamination of the protected beams, as might occur in an earthquake, on the ability of a 

structure to develop tensile membrane action as a load-carrying mechanism in the floor 

slabs. 

The composite slab contains a steel beam and a concrete slab inter-connected by 

shear connectors. The shear connectors require enough strength and stiffness to allow the 

two components to be designed as a single structural member. For a composite slab with a 

rigid shear connection, there is full interaction between the steel beam and the concrete 

slab. This approach is commonly followed by most codes (e.g. the rigid-ideal plastic 

method in Eurocode 1994-1-1 (CEN, 2004c)). Nevertheless, full interaction is hardly 

achieved in reality. It is recognised that a rigid connection is generally beneficial for the 

capacity resistance of a composite slab, which means that the assumption may lead to 

unconservative results.  

There currently exist several studies on the effect of partial composite interaction on 

the behaviour of a composite building in a fire. The studies from Huang et al. (1999) and 

Jahromi et al. (2012) showed that consideration of partial composite interaction can lead to 

the reduction of structural resistance by only about 5-10%. Thus, for simplicity, this study 

assumed full interaction between the steel beam and the concrete slab.   

 

c. The behaviour of restrained steel columns in a fire  

When a column forms part of a statically indeterminate structure, it has many 

interactions with the adjacent structure. Wang (2002) described two types of interactions 

that can affect the behaviour of restrained steel columns in a fire: 

1. Change in column axial load on the column due to axial restraint to its thermal 

expansion, as shown in Figure 2.9. 

2. Change in column bending moment due to thermal expansion of the connected 

beam, as shown in Figure 2.10a. When the connected beam develops catenary 

action, the beam will pull the column back, as shown in Figure 2.10b. 
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Figure 2.9: Effect of restrained thermal expansion on column behaviour(Wang, 

2002) 

 

 

Figure 2.10: Effect of the connected beam on column behaviour (Wang, 2002) 

Wang (2004) presented the behaviour of an axially restrained column at elevated 

temperature. The behaviour can be divided into three stages, as shown in Figure 2.11.  

1. Pre-buckling (O-A): the column is relatively stable in this stage. The axial force 

increases with the increases in temperature due to restrained thermal expansion.  

2. Buckling (A-B): the buckling stage starts when the increased column compressive 

load reaches its buckling resistance at elevated temperature. In this stage, the 

column undergoes a large lateral deflection and compressive load suddenly 

reduces. 

3. Post-buckling (B-C): during this stage, the column undergoes further lateral 

movement until reaching equilibrium position. The lateral deflection causes an 

increase in the column bending moment. Thus, the column axial load is reducing in 

order to maintain stability. 
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Figure 2.11: Full load-temperature relationship for an axially restrained steel column 

(Wang, 2004) 

The behaviour of the column shown above can be applied to determine the limit of 

failure of the column. For a practical measure of performance, the limit can be defined by 

first buckling of columns which is identified when the vertical displacement of the top of a 

column rapidly reduces as temperature increases (at point A).  

 

2.5  The methodology of post-earthquake fire analysis 

Proper sequential analysis is required to investigate the behaviour of an earthquake-

damaged building in a fire. Figure 2.12 schematically shows the steps involved in the 

analysis. Firstly, the gravity load is applied to the undamaged frame. To investigate the 

earthquake damage in the structure, seismic hazard is determined from the seismic hazard 

spectrum according to the seismic region, followed by seismic structural analysis. The 

seismic load induces lateral vibration and causes damage and permanent lateral 

deformation in the building. This deformation causes additional stress in the frame due to 

the moment caused by the P-ȹ effect. In addition, fire protection systems are also 

damaged. Once earthquake damage in the structure is determined, post-earthquake fire 

(PEF) analysis can be performed on the damaged structure.  

Detailed earthquake and fire analyses are described in the following sub-sections. 
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Figure 2.12: Stages of the fire following an earthquake analysis 

 

2.5.1  Earthquake analysis 

There are three common analysis approaches to evaluate the behaviour of a structure 

during an earthquake: linear static, nonlinear dynamic and nonlinear static analysis. The 

linear static analysis is the simplest approach via the application of a factor to 

accommodate dynamic effect and nonlinearity of material and geometry. Therefore, the 

nonlinearity and dynamic effect cannot be accurately predicted using this approach. On 

the other hand, the nonlinear dynamic analysis is theoretically the most accurate method; 

however, it is very complicated because it considers all types of nonlinearity, but it 

requires time history ground-motion data to simulate the dynamic effect. Nowadays, 
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nonlinear static pushover analysis (NSPA) has been introduced as a new technique to 

solve the problem expressed above. This method considers both material and geometrical 

nonlinearity but does not need time history records to calculate the dynamic response. 

In NSPA, a specific lateral load pattern is subjected to the structure. The load 

magnitude incrementally increases until the structure reaches a target displacement or 

collapse. The relationship between base shear and roof displacement expresses the global 

response of the structure against lateral loads. The target displacement represents the top 

displacement when the building is subjected to a design earthquake.  

Figure 2.13 illustrates the performance level of the building along with a force-

displacement curve which shows the global behaviour of the structure against the lateral 

load. It can be seen that the target displacement determines the building performance level 

that represents minor to major damage as previously presented in Table 2.1. 

 

Figure 2.13: Pushover analysis curve and performance levels (Hakim et al., 2014) 

 

2.5.2  Fire analysis 

Current design methods allow the development of finite-element models that are 

utilised to evaluate building performance in fire conditions. The models are subjected to 

temperature-time curves (design fire) and then the behaviour of the structure is observed. 

Traditional fire design, the most common, uses Standard Fire curves which assume that 

the temperature conditions are uniform and subjected to the whole floor of the 

compartment. The Standard Fire curves used in most building codes are adopted from 

either the ASTM E119 (ASTM, 1995) test or the ISO 834 (BSI, 2014) test, as shown in 

Figure 2.14. 
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Figure 2.14: Standard Fire ISO 834 curve (BSI, 2014) 

The Standard Fire, unlike a real fire, has a relatively medium growth rate, no 

temperature reduction and is not influenced by the characteristics of the building, such as 

fuel load, ventilation and geometry. However, the Standard Fires do not accurately 

represent real fires, which may burn locally but spread through the enclosure with time, 

creating lower temperature and longer duration (Manzello et al., 2009; Stern-Gottfried and 

Rein, 2012a). The difference in temperature, location and time between the Standard Fire 

and the real fire may result in a different response from the structure (Law et al., 2010; 

Stern-Gottfried and Rein, 2012b) 

Fire modelling methods have been improved rapidly in recent decades to overcome 

the limitation of the Standard Fires. Wickström (1981) developed the background concept 

of Parametric Fire method which is relatively simple to use. Here it is proposed that the 

compartment fire based on heat balance depends on the opening factor, thermal inertia, 

fire load and fire compartment time factor. These theoretical assumptions were validated 

using the experimental data developed by Magnusson and Thelandersson (1970). The 

Parametric Fire method was then adopted and described fully in Eurocode EN 1991-1-2 

(CEN, 2002b). 

 

Figure 2.15: Parametric Fire curve(CEN, 2002b) 
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There are two phases of the Parametric Fire method, heating phase and cooling 

phase, as shown in Figure 2.15. In the heating phase, the gas temperature is defined by: 

— ςπ ρσςυρ πȢσςτὩ Ȣᶻ πȢςπτὩ Ȣᶻ πȢτχςὩ ᶻ  (2.7) 

t* is obtained by the time t multiplied by a dimensionless parameter ũ defined by: 

ῲ
ϳ

Ȣ ϳ
   (2.8) 

Where O is an opening factor defined by: 

ὕ      (2.9)  

b is the thermal absorptivity of surrounding surfaces of the compartment obtained by: 

ὦ ”ὧ‗       (2.10) 

Where Av is the total area of vertical openings on all walls, heq is the weighted average of 

window heights on the wall, At is the total area of the enclosure, ɦ is the density, c is the 

specific heat and ɚ is the thermal conductivity of the boundary of the enclosure.  

The cooling phase is generated by: 

ὸᶻ πȢυὬO — — φςυὸᶻ ὸᶻ    (2.11) 

πȢυὬ ὸᶻ ςὬO — — ςυπσ ὸᶻ ὸᶻ ὸᶻ    (2.12) 

ὸᶻ ςὬO — — ςυπὸᶻ ὸᶻ   (2.13) 

where maximum gas temperature occurs in the heating phase at t*max obtained by 

ὸᶻ πȢς ρπήȟ ὕϳ ῲ  (2.14) 

ήȟ ήȟὃ ὃϳ     (2.15) 

where qt,d is the fire load density, Af  is floor area and At is the total area of enclosure. 

The Parametric Fire depends on several factors, such as ventilation, fire load, fire 

protection, etc. Thus, the fire load density, qf,d can be defined by: 

ήȟ ‏ ‏  άήȟ  (2.16)‏
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where ɿq1 is the risk of fire activation, ɿq2 is the type of occupancy, ɿn is the active fire-

fighting measure, m is combustion factor and qf,k is characteristic fire load density 

obtained from EN 1991-1-2 (CEN, 2002b) Table E4. The calculation of a parametric fire 

is presented in Appendix B.  

In this study, the Parametric Fire curve is developed with the fuel load of 511 

MJ/m
2
, which is used according to Annex E of EN 1991-1-2 (CEN, 2002b) for an office 

building. The ventilation factor and thermal inertia of compartments are taken as 0.06 m
-0.5

 

and 1470 Ws
0.5

/m
2
K, respectively. When an earthquake occurs, the factors may change, 

which makes the Parametric Fire curve after an earthquake different compared to those 

before an earthquake. There is a possibility of window breakage or damage to the building 

envelope and partitions after an earthquake that can increase the opening factor of the 

compartment. Figure 2.16 shows the comparison of parametric fire curves with different 

opening factors. It can be seen that the increase of the opening factor will increase the 

maximum temperature and reduce the burning time. Furthermore, fire-fighting measures 

may be different between a fire in normal conditions and a fire after an earthquake. Figure 

2.17 shows the comparison of parametric fire curves with different fire-fighting measures. 

It can be seen that fire-fighting measures increase both the maximum temperature and 

burning time.  

 

 Figure 2.16: Parametric Fire curves with different opening factors 
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Figure 2.17: Parametric Fire curves with different fir e-fighting measures 

 

In this study, the opening factor is taken as 0.06 and 0.08 for before and after the 

earthquake, respectively. The fire-fighting measures for two conditions, before an 

earthquake and after an earthquake, are presented in Table 2.3. It is understood that the 

modification factors after an earthquake are somewhat arbitrary. The values are based on 

the possibility of disturbance of both internal facilities such as sprinklers and urban 

facilities as a result of the earthquake. However, the intention of this study is to show 

contrasting behaviour resulting from different fire curves before and after an earthquake 

with different fire duration and maximum temperature as shown in Figure 2.18. The 

different fire-fighting measures and opening factors after an earthquake may cause a 

higher maximum temperature and longer fire period. 

Table 2.3 Function of active fire-fighting measures before and after an earthquake 

Fire 

Automatic 
water 

extinguishing 
systems 

Independent 
water supply 

Automatic fire 
detection & 

alarm 

Automatic 
alarm 

transmission 
to fire brigade 

Fire 
brigade 

Safe 
access 
routes 

Fire-
fighting 
devices 

Smoke 
exhaust 
system 

SUM 

ŭ1 ŭ2 ŭ3/ŭ4 ŭ5 ŭ6/ŭ7 ŭ8 ŭ9 ŭ10 Ʉŭn 

Before 
EQ 

0.61 1.00 0.87 0.87 0.78 1.00 1.00 1.00 0.36 

After   
EQ 

0.61 1.00 0.87 0.87 0.78 1.50 1.50 1.50 1.22 
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Figure 2.18: Parametric Fire curve before and after an earthquake 

The most important shortcoming of the conventional method (Standard 

Fire/Parametric Fire) is the assumption of uniform burning and homogenous compartment 

temperature regardless of the compartment size. In reality, temperature conditions are non-

uniform in most compartments. A newly designed method called the travelling fire has 

recently been introduced (Law et al., 2010; Stern-Gottfried and Rein, 2012b). The concept 

of the travelling fire method is that the effect of all travelling fire scenarios on the 

structure is taken into account instead of the worst case based on the highest temperature. 

It can be assumed that the fire burns over a certain percentage of the floor area, ranging 

from low temperature with long duration to high temperature with a short duration. In the 

past, it was believed that the conventional methods were conservative and suitable for 

engineering design. However, recent studies (Law et al., 2010; Rezvani and Ronagh, 

2015) have shown that travelling fires are more dangerous to structure than the 

conventional design fire. 

 

2.5.3  Heat transfer in structures 

Heat can be transferred from one location to another by three basic mechanisms of 

conduction, convection and radiation. The process can occur separately or together 

depending on the circumstances. This section briefly explains each mechanism before 

showing how the temperature of the structure is determined. Conduction is the mechanism 

for heat transfer in solids on a molecular scale but without any movement of macroscopic 

portions of matter relative to one another. Convection is the heat transfer mechanism due 
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to the movement of fluids, either gases or liquid. In contrast to conduction and convection, 

heat transfer by radiation does not need any medium between the heat source and other 

objects. In radiation, the exchange of heat is due to electromagnetic wave released by a 

body solely on account of its temperature.   

Theoretically, it is not possible to find analytical solution to a heat transfer problem 

except in a simple case. In fire safety design, heat transfer problem is usually solved by 

either experimentally or numerically. Experiments are expensive and their results can be 

applied only to the specific situations. Numerical analysis can be more general and widely 

used. An understanding of the three heat transfer mechanisms is essential to conduct the 

numerical heat transfer analysis.  

a. Heat transfer to the steel structure 

In any design of steel structure to resist fires, it is essential to determine the steel 

temperature. The calculation of steel temperature is handled differently depending on 

whether the steel is protected or not. For unprotected steel, it is possible to assume that the 

temperature of the steel structure is generally uniform as most steel sections are 

sufficiently thin. Thus, a simple energy approach can be used to determine the change in 

temperature of steel sections.  

The method is based on the principle that the heating entering the steel over the 

exposed surface area in a small time step ȹt (s) is equal to the heat required to raise the 

temperature of the steel by ȹTs (C) assuming that the steel section is a lumped mass at the 

uniform temperature, so that 

Heat entering = heat to raise temperature 

q"Fȹt = ɟs cs V ȹTs    (2.17) 

where ɟs is the density of steel (kg/m
3
), cs is the specific heat of steel (J/kgK), ȹTs is the 

change in steel temperature in the time step and q" is the heat transfer at the surface 

(W/m
2
), given by 

q" = hc(Tf ï Ts) + ůŮ(Tf
4
 ï Ts

4
) (2.18) 
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where hc is the convective heat transfer coefficient (W/m
2
K), ů is the Stefan-Boltzmann 

constant (56.7 x 10
-12

 kW/m
2
K

4
), Ů is the resultant emissivity, Tf is the temperature in the 

fire environment and Ts is the temperature of the steel. 

These equations can be re-arranged to give: 

ЎὝ  Ὤ Ὕ Ὕ „‐Ὕ Ὕ Ўὸ   (2.18) 

The quantity of  F/V is known as the section factor of the steel section and is given in 

many section tables, or it can be calculated manually, where F is the surface area of unit 

length of the member (m
2
), and V is the volume of steel in unit length fo the member (m

3
). 

As shown in Figure 2.19, steel member acting compositely with a concrete slab can be 

assumed not to be heated through the surface that contacts the slab.  

 

Figure 2.19: Typical perimeter of section factors 

Steel with fire insulation heats up much more slowly than unprotected steel due to 

the applied thermal insulation which protects the steel from rapid absorption of heat. Thus, 

the equation is slightly different as follow: 

ЎὝ  
ϳ Ⱦ

Ўὸ   (2.19) 

where ɟi is the density of insulation (kg/m
3
), ci is the specific heat of insulation 

(J/kgK) and di is the thickness of insulation (m). The equation above can be to calculate 

the temperature of the steel section for gas temperatures (standard fire or parametric fire) 

providing a sufficiently small timestep is used. Eurocode EN 1993-1-2 (CEN, 2005) 

suggests a time step of no more than 30 s and a minimum value of the section factor F/V 

of 10 m
-1

. Previous studies (Gamble, 1989; Kay et al., 1996) have shown that this method 

can give a very good prediction of steel beam temperatures. 
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b. Heat transfer to the concrete structure 

Concrete structures have a good reputation in fires because concrete is non-

compustible and has a low thermal conductiviy. However, heat transfer to the concrete 

structure is more complex than that of steel due to heterogeinity of concrete. Moreover, 

concrete sections tend to be stocky so that temperature through a concrete section is not 

uniform.  

To determine temperatures within concrete structures, it is necessary to understand 

concreteôs thermal properties such as conductivity, specific heat and density. Harmathy 

(1970) used the addition of the component parts to formulate a bulk characterisation for 

each of the thermal properties. From an experimental study, the first set of thermal 

properties of concrete was presented. Since then, many research studies such as Harmathy 

and Allen (1973), Kodur and Sultan (Kodur and Sultan, 1998), and Kie-Yeol Shin et al. 

(1999), have been conducted to understand the thermal properties of concrete. Design 

codes such as Eurocode EN 1992-12 (CEN, 2004b) have also been developed to model the 

thermal properties of concrete at elevated temperature.  

A comprehensive review of the effect of temperature on the thermal properties of 

different concrete types is presented by Kodur (2014). Overall, the thermal conductivity of 

concrete is in the range of 0.8 and 3.6 W/mK at ambient temperature, depending on the 

type of aggregate and reduces gradually with increasing temperature. Eurocode EN 1992-

1-2 takes simplified approaches for design purposes. The approximate value is 0.8 W/mK 

for lightweight concrete, 1.3 W/mK for calcareous (limestone) aggregate concrete, and 1.6 

W/mK for siliceous concrete.  

The specific heat of concrete depends on the moisture content and aggregate type. 

The heating phase between 100°C and 200°C allows for water being driven off. For design 

purpose, the value from EN 1992-1-2 (CEN, 2004b) is 840 J/kgK for lightweight concrete 

and 1000 J/kgK for siliceous and calcareous aggregate concrete. During fire event the 

density of concrete decreases with increasing temperature due to loss of moisture. Typical 
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normal weight concrete has a density of 2300-2400 kg/m
3
. When the temperature reaches 

100°C, the density of concrete reduces up to 100 kg/m
3
, however, it does not change much 

at temperatures beyond this(Schneider, 1988).   

Analytical methods are currently available to calculate the temperature of concrete 

elements exposed to the Standard Fire (Wade, 1991). On the other hand, very little 

published information is available on the performance of the concrete elements exposed to 

Parametric Fire. Wade (1994) presents approximate methods for calculating the 

temperature in concrete exposed to Parametric Fire. However, the study covered only a 

limited range of Parametric Fire. Furthermore, empirical calculation particularly during 

the cooling period is less accurate because the maximum concrete temperatures occur a 

considerable time after the fire temperature passes its peak value (Wade, 1994). Thus, it is 

best to use finite element analysis to provide an accurate thermal gradient in concrete 

elements exposed to realistic fire.  

 

2.6  Previous studies on post-earthquake fire analysis 

Several studies have been conducted on the behaviour of earthquake damaged steel 

frames in a fire. Della Corte et al. (2003) developed numerical models to investigate the 

response of steel moment resisting frames under post-earthquake fire scenarios. Two types 

of 2D frames considering only the ultimate limit state (ULS) and both the serviceability 

seismic design (SLS) and ULS were prepared. The earthquake effect on the buildings was 

represented by imposing a residual deformation on the frame. Mechanical damage was 

introduced by reducing the steel modulus of elasticity and yield strength in certain parts of 

the frame. The thermal-mechanical analysis was then applied using the ISO834 Standard 

Fire curve to simulate a fire event and the fire resistance rating was found by using 

numerical code SAFIR (Franssen et al., 2002). The results showed that the drift ratio is an 

important parameter that affects the fire resistance. In addition, it was observed that the 

seismic design philosophies can significantly affect the performance of steel structures 

under post-earthquake fire. 

Faggiano et al. (2008) applied pushover and coupled thermal-mechanical analysis to 

evaluate 2D steel moment resisting frames (MRFs) subjected to lateral loads and fires, 

respectively. The result showed that fire resistance and collapse mechanism of portal 
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frames subjected to fire following an earthquake were essentially the same when the frame 

did not exceed the operational performance limit during the earthquake. A small reduction 

in the fire resistance of the portal frame was observed when the performance of the frame 

was at the life safety and near collapse levels. Faggiano and Mazzolani (2011) assessed 

the robustness of steel frames under FFE in accordance with the performance-based 

approach according to FEMA 356 (FEMA, 2000) and philosophy of the Fire Safety 

Engineering (FSE), which included Operational Fire (OF), Immediate Occupancy Fire 

(IOF), Life Safety Fire (LSF) and Collapse Prevention Fire (CPF). The seismic behaviour 

of the structure was determined through pushover analysis. Fire analysis was performed 

once the seismic analyses were carried out. The study included the identification of the 

seismic damage state and determination of the residual bearing capabilities of the seismic 

damaged structures subjected to fire. 

Yasin et al. (2008) presented a review of post-earthquake fire (PEF) hazard and 

performance of steel-frame building structures under PEF conditions. Unprotected steel is 

particularly vulnerable to fire hazard. The mechanical strength of steel reduces drastically 

at high temperature. As previously discussed, in a post-earthquake scenario, the building 

frame and its fire protection system may be significantly damaged and, consequently, 

resistance to subsequent fire is reduced. An analytical study of two-dimensional steel 

frames under the effects of seismic lateral loads and subsequent fire has been presented. 

The study reveals that the PEF performance of steel frames is affected by the lateral 

deformation caused by the seismic ground motion.  

Zaharia and Pintea (2009) presented an evaluation of fire resistance rating for an 

earthquake damaged 2D steel frame. The earthquake response was introduced by imposing 

residual deformation using pushover analysis. Two different seismically designed frames 

(moderate and severe seismic regions) were prepared. The 834 Standard ISO and 

Eurocode Parametric Fire curves were applied in this study. The structures, subjected to 

vertical loads corresponding with fire load combination, were loaded with lateral forces up 

to the target displacement. When the target displacement was achieved, the lateral loads 

were removed. Residual displacement and residual stresses exist because the frames 

respond in the plastic range. At this stage of structural damage, fire analysis was then 

performed. The results showed that the frame designed for stronger seismic action has a 

higher fire resistance rating in the case of post-earthquake fire.  
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Behnam and Ronagh (2015) presented an evaluation of 2D steel frames subjected to 

fire following an earthquake. Based on FEMA 356, a series of analysis was performed on 

the Immediate Occupancy (IO) and Life Safety (LS), corresponding to structures designed 

as a school and a residential building, respectively. Pushover analysis was applied to 

represent the earthquake load. After pushover analysis, some degree of damage exists in 

the structure. The damaged structure was then loaded with fire as a sequential load using 

Standard and Parametric Fire. Fire analyses only were also performed for the undamaged 

frame, as a benchmark. Two type of collapse, global and local collapse, were observed 

during the analysis. While the global collapse was defined as a situation in which the 

frame fails because of considerable lateral movement of columns, the local collapse 

involved the failure of beams mainly. The results revealed that the damaged frames had 

lower fire resistance than the undamaged frame. This study confirmed the importance of 

post-earthquake fire in the process of analysis and design.  

Moreover, Memari et al. (2014) presented finite element simulation to study the 

performance of low-, medium- and high-rise steel MRFs with reduced beam section 

(RBS) connection subjected to fire following an earthquake. The frames were subjected to 

ground motion records to simulate an earthquake using nonlinear time-history analysis. 

The thermal-mechanical analysis was then performed. The material was assumed as 

elastic-perfectly plastic. Temperature-dependent mechanical, deformational, and thermal 

properties were considered. The Eurocode Parametric Fire curve was used in this study to 

simulate a realistic fire event. However, changes in factors which affect the Eurocode 

curve were not explicitly quantified in this study. The frame elements were considered 

fireproofed and the post-earthquake fire was applied only at the location of the RBS 

connection considering that fire insulation was damaged during an earthquake. Global and 

local responses of the frames were investigated according to ASCE standard 41-06 

performance limits. Global responses are evaluated in terms of the change in inter-storey 

drift ratio (IDR). Local responses are investigated by highlighting the axial force-bending 

moment interaction of the elements. In terms of IDR, post-earthquake fires result in 

smaller IDR than the earthquake itself.  In general, the global structural performance level 

is not affected by post-earthquake fire scenarios. 

All of the aforementioned studies have focused on geometrical damage that exists 

after an earthquake. Most of the steel structures were assumed to be unprotected which is 

very rare in practice. Fire insulation is commonly applied to steel structures. As mentioned 
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previously, fire insulation delamination may occur and affect the vulnerability of steel 

structures subjected to post-earthquake fire. Thus, consideration of fire insulation 

delamination becomes essential when evaluating the behaviour of the building under post-

earthquake fire. Moreover, most of the structures in previous studies have been analysed 

assuming 2D plane-frame behaviour, without considering the presence of a composite 

slab. Although some essential issues of fire behaviour can be captured, the 2D frames fail 

to consider the load redistribution path in a realistic structure, in particular, the tensile 

membrane action of the concrete slab. Therefore, the presence of a composite slab must be 

considered in the analysis to obtain realistic behaviour of the steel frame. This research 

will utilise a three-dimensional numerical model to consider redistribution occurring via 

the composite concrete slab. 

 

2.7  Progressive collapse of composite buildings 

In accidental events, such as fire following an earthquake, buildings must have the 

ability to remain standing for a certain period to safely evacuate occupants prior to 

structural collapse. The designers have a responsibility to ensure the corresponding fire 

safety of the building. One of the most extreme cases would be the collapse of the World 

Trade Center in New York which serves as tragic a reminder of initial localised failure 

followed by fire, resulting in the collapse of the whole structure. Progressive collapse of a 

structure occurs when an initial local failure spreads from element to element, leading to 

collapse of a disproportionately large part of the structure or the entire building. This 

indicates that the failure of individual elements may be acceptable when the structural 

collapse is prevented.  

Robustness is the ability of structures to maintain their stability under events such as 

post-earthquake fire, without disproportional failure after local damage. With substantial 

damage and losses in the case of collapse, it is essential to understand and quantify the 

performance of the building under fire to maintain its stability without disproportional 

failure after local damage.  A wide range of research has been conducted on the robustness 

of steel structures under fire loading. Porcari et al. (2015) presented a brief overview of 

current work carried out by researchers into the mechanisms involved in the fire-induced 

progressive collapse of steel buildings. Based on a literature review, structures with large 

cross-section members generally have better collapse resistance compared to ones with 
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slender members. This is due to increased strength and stiffness associated with larger-

cross section members. Moreover, a large cross-section area also delays the onset of the 

thermal strain effects as the heat is dissipated over the larger area.  

Researchers have begun to further study the mechanisms of fire-induced structural 

collapse of steel building structures. With the emergence of performance-based design, 

engineers need an efficient tool to investigate and apply alternative fire protection 

strategies. Sun et al. (2012) developed the static-dynamic procedure in the Vulcan 

software to assess the robustness of 2-D steel-framed structures in a fire. This approach 

allows an analysis to remain beyond the temporary instabilities which can cause 

singularities in the static analysis. Thus, the software can be utilised to investigate the 

progressive collapse mechanism initiated by local damage. The results of parametric 

studies showed the larger beam and lower loading ratio can increase the failure 

temperature at which structural collapse occurs. Moreover, the lateral stiffness bracing is 

helpful to prevent initial local failure spreading from element to element. 

Talebi et al. (2014) investigated the efficiency of Buckling Restrained Brace systems 

(BRBs) to prevent the progressive collapse of structural frames in a fire. Four-storey steel 

structures with different bracing configurations were studied. A 2D planar frame finite 

element model was developed using the Vulcan program. The BRBs are modelled 

implicitly, using three-node line elements. In Vulcan, the BRB sections were defined as a 

concrete-filled steel hollow element with the core inside it. The gap element was used to 

model the clearance between the steel core and the restrainer. As a benchmark, the results 

were compared with the Ordinary Concentrically Brace systems (OCBs). The results 

indicated that BRBs provide higher collapse temperatures compared to OCBs. This is 

because BRBs have greater stiffness and ability to redistribute the load sustained by 

heated columns to the adjacent member without any buckling occurrence in the bracing 

member.  

Jiang et al. (2017b) conducted experimental studies on the progressive collapse 

resistance of steel moment frames under localised fire. The tests investigated the influence 

of key stages in the response of the heated column under gravity loading on the 

progressive collapse resistance of the steel frames. The results showed that a steel column 

may fail gradually in a static way or suddenly in a dynamic way, depending on the 

conditions of restraint provided by beams in the frame and the load level. Based on these 
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tests, Jiang et al. (2017a) also carried out a dynamic explicit analysis to simulate the 

progressive collapse resistance of steel frames exposed to localised fire. The results were 

compared with the previous experiment conducted by the authors. Then, the effects of 

damping and strain rate were investigated. The results showed that a damping ratio 

ranging from 0 to 10% has a negligible effect on the performance of the steel frame.  On 

the other hand, the strain rate has little effect before buckling of the column but has a 

significant effect afterwards. Ignoring the dynamic effects may significantly underestimate 

the maximum displacement of the structures and thus lead to unsafe design.   

The previous studies mentioned above focused on the two-dimensional frame, so the 

models do not predict the overall structural behaviour accurately. Recently, some 

researchers have analysed three-dimensional steel-framed structures. Agarwal and Varma 

(2014) investigated the importance of gravity columns on the stability behaviour of a 

typical mid-rise (10-storey) steel building with composite floor systems subjected to 

corner compartment fires. Effects of gravity loads and fire scenarios were considered. It 

was found that, when a column failure occurs, the load will be redistributed to the adjacent 

columns to maintain the stability. The results also indicated that the steel reinforcement of 

the concrete slab has a significant role in the uniform redistribution of the axial load 

dropped by the failed column to the adjacent columns.  

Jiang and Li (2016) presented a progressive collapse analysis of 3D steel frames in a 

fire. An explicit dynamic analysis was performed to investigate the effect of loading ratio 

and heating location on the collapse mode and load redistribution path. They found that 

the 3D model has a different collapse mode and load redistribution path compared to the 

2D model. The collapse resistance of the frame is mainly affected by uneven load 

transferral which cannot be captured in the 2D model. 

From the above literature review, it is clear that a three-dimensional model is 

required to perform a robustness analysis of the structure. However, the majority of 

previous works have investigated the progressive collapse of a building under fire event 

only. Therefore, there remains a knowledge gap in understanding the robustness of 

earthquake-damaged frames in a fire. This aspect will be investigated in this research. 
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2.8  Conclusions 

This chapter has presented a review of relevant research studies on the post-

earthquake fire behaviour of composite buildings. The most significant conclusions are as 

follows: 

1. The key aspect of the post-earthquake fire analysis is the interpretation of earthquake 

damage as an initial condition for the subsequent fire action. The structural damage 

can be schematised as the combination of geometrical damage and mechanical 

damage. However, an ideal elastic-perfectly plastic structure with non-degrading 

components can be used in post-earthquake fire analysis. The assumption is taken as a 

simplification. However, it is widely accepted that the elastic-perfectly plastic stress-

strain relationship at ambient temperature transitions to a non-linear relationship at 

elevated temperature. Furthermore, the assumption is realistic since plastic 

deformation demand on a building designed withstand an earthquake is relatively 

small. Therefore, only the effects of geometrical damage are considered in the present 

study. 

2. Previous experiments indicated that there is a possibility of fire insulation 

delamination concentrated in the beams where plastic hinges are formed. The effect of 

fire insulation delamination on the steel can jeopardize the structural stability of the 

building. Thus, the fire insulation delamination should be considered in the 

assessment of a structure subjected to fire following an earthquake. 

3. Several assumptions must be considered when the Parametric Fire is used to simulate 

a fire event. The opening factor of the fire compartment may increase due to window 

breakage after an earthquake. Fire-fighting measures may also be different between 

the fire in normal conditions and fire after an earthquake. 

4. Most of the research studies investigated building frames by assuming 2D plane-

frame behaviour. This is not appropriate, particularly at elevated temperatures, due to 

the contribution of the slab. The 2D models show different collapse modes and load 

redistribution path from the 3D models. Moreover, the composite slabs have a 

significant role in the survival of the frame through tensile membrane action.  

5. Previous research has focused on the unprotected steel frame. There is as yet a lack of 

detailed research into the influence of fire insulation on steel frames during a fire 

following an earthquake. 
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6. It appears there are no studies on the effect of fire insulation delamination on the 

protected edge beams, as might occur in an earthquake, on the ability of a structure to 

develop tensile membrane action as a load-carrying mechanism in the floor slabs. 

7. Dynamic analysis is required in the progressive collapse analysis to consider the 

dynamic effect caused by column buckling. Moreover, it appears there are no studies 

on the progressive collapse analysis of composite steel-framed buildings subjected to 

fire following an earthquake.  

Based on the above summary, the present study will address: 

1. Effects of earthquake damage and fire insulation delamination on the behaviour of 

composite steel frames in a fire. 

2. Development of tensile membrane action on composite slabs exposed to fire 

following an earthquake. 

3. Progressive collapse analysis of composite steel-framed buildings subjected to fire 

following an earthquake.  
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CHAPTER 3 

NUMERICAL MODELLING AND VALIDATION  

 

3.1  Introduction  

This research focuses on the behaviour of earthquake damaged composite steel 

frames in fire. As discussed in the literature, the 3D model is essential to consider the load 

redistribution path in a realistic structure, in particular, the tensile membrane action of the 

concrete slab which cannot be captured in a 2D model. Thus, for the first time, 3D 

numerical models are employed to simulate the structural behaviour under fire following 

an earthquake. The 3D model will be used to investigate the effect of earthquake damage 

and the development of tensile membrane action on the concrete slab. Furthermore, the 

progressive collapse analysis of a composite a building under fire following an earthquake 

will be also investigated.  

This study analysed a generic five-storey composite steel frame office building as 

representative of a mid-rise multi-storey structure commonly constructed in city centres or 

constrained site locations (Oldham and Wolstenholme, 2014). Typically, the use of a 

moment resisting frame as the primary means of lateral load resistance remains economic 

up to around 5 storeys (SCI, 2008).  

This chapter presents the use of the commercial finite element software ABAQUS 

v6.13 to model and analyse the structure. Details of the modelling are given in the 

following sections. A series of validations were carried out to confirm the modelling 

approach used in this study. First, nonlinear static pushover analysis was performed to 

simulate the earthquake. The calibration frame from a previous study (Vogel, 1985) was 

selected to validate the analysis. Second, thermal-mechanical analyses were carried out to 

simulate the fire event. The results were validated with previous numerical analyses 

(Gillie, 2009; Jiang et al., 2017a).  
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3.2  Numerical modelling 

3.2.1. Beams and columns 

The multi-purpose finite element software ABAQUS v6.13 (Abaqus, 2014) is used 

to model the structure. There are a number of hexahedron, shell and beam elements with 

different characteristic available in ABAQUS. In this study, steel beams and columns are 

discretised using 1-D line elements (ABAQUS library code B31) and two-node linear 

beam elements in space. Localised buckling cannot be captured using the 1-D line 

elements. The local buckling of the steel section can be avoided by using sections with at 

least Class 3 cross section. However, previous experimental results (Correia and 

Rodrigues, 2012; Yang et al., 2006a, 2006b, 2005) have shown that local buckling occurs 

even for cross sections with plate inferior classes (Class 1 ï Class 3) at high temperature. 

Thus, it is advisable to use the smaller value of parameter Ů (i.e Ů=0.85ã(235/fy) instead of 

Ů=ã(235/fy)). 

For simplicity, it is assumed that the beam-to-column and secondary beam-to-

primary beam connections behave as rigid and pinned, respectively, which is the common 

practice for steel frames in seismic regions. Thus, connection failures are not considered in 

this study. Rigid and pinned joints are modelled using the joint-rotation connector 

available in ABAQUS. It is worth noting that at the elevated temperature, changing the 

pinned connection to fixed has little effect on the modelling results since the connection 

will change from fixed to pinned as a result of heating (Lamont et al., 2004). 

3.2.2. Slabs 

The concrete slab is modelled using a four-node shell element with reduced 

integration (ABAQUS library code S4R), and rebar is represented by the rebar option in 

ABAQUS. The shear stud is not modelled directly. Instead, tie constraints between the 

steel beam and slab are applied to accommodate the fully composite action between the 

concrete slab and steel beam. It should be noted that a floor with fully composite action 

will support a greater load compared to one with partial composite action. However, 

Jahromi et al. (2013) found that consideration of partial composite interaction can lead to a 

reduction of the structural resistance by only about 5-10%. Thus, fully composite action is 

assumed in this study by adopting a rigid tie constraint between the concrete slabs and 

steel beams. 
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3.2.3. Numerical approach 

There are two solutions methods in ABAQUS that can be used in this simulation. 

The first solution is a general static analysis. This method is still applicable until the 

determinant of the stiffness matrix equals zero or is negative. However, the main 

disadvantage of this solution is that it is difficult to solve the non-convergence problem 

when complicated contacts are encountered. The second method is an explicit dynamic 

analysis. This solution can overcome the non-convergence problems due to complicated 

contact but it is a very time-consuming process since very small time steps are required.  

To resolve the non-convergence problems in general static analysis, stabilisation 

with dissipated energy fraction can be used. Numerical convergence problems can be 

solved by a high dissipated energy fraction. However, the accuracy of the results can be 

compromised if the fraction is too high. The default energy dissipation factor of 0.2 x10
-4
 

is suitable for most applications but the user can determine the value to obtain certain 

accuracy if needed (Abaqus, 2014). However, using static analysis may result in the 

numerical model stopping when any part of the structure has a zero stiffness (e.g. column 

buckling). Moreover, dynamic effects may occur when the column buckles suddenly, as 

explained in the literature review.  

In the light of the above points, in this study, a general static analysis is generally 

adopted since it is less time consuming and straightforward to customise the simulation 

process. However, for progressive collapse analyses, explicit dynamic analyses are used to 

capture the dynamic effects during the failure process of the columns and to avoid 

numerical convergence difficulties.  

 

3.2.4. Structural temperature 

In this study, the procedure in Eurocode EN 1993-1-2 was adopted to calculate the 

steel temperatures while a numerical heat transfer analysis using finite element was used 

to determine concrete slab temperatures through the thickness. In the numerical model, the 

structural temperatures can be applied as amplitude to the elements. As discussed in 

Chapter 2, the steel temperature within the cross sections is assumed to be uniform as steel 
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sections used in this study are sufficiently thin. Equation 2.18 and 2.19 can be used to 

calculate the temperature of steel sections for a given gas temperature (Standard Fire or 

Parametric Fire). An example of the spreadsheet calculation is presented in Appendix C.  

Figure 3.1 shows steel temperature for an unprotected beam of UKB356x127x39 

exposed to standard fire calculated using Equation 2.18 with different time step.  It can be 

seen that the time step is sensitive to the steel temperature. A larger time step may lead to 

a lower temperature growth rate compared with a small time step. However, the steel 

temperature is relatively insensitive when the time step is not more than 0.5 minutes as 

suggested by Eurocode EN 1993-1-2 (CEN, 2005). This study shows that a small time is 

taken to obtain conservative results. 

 

Figure 3.1: Steel temperature for the unprotected beam of UKB356x127x39 exposed 

to Standard Fire 

For steel members protected with insulation, Equation 2.19 can be used to calculate 

the steel temperature. Figure 3.2 shows steel temperatures for the same beam exposed to 

Standard Fire with different insulation thicknesses. The steel is assumed to be protected 

with lightweight insulating material which has a thermal conductivity of 0.2 W/mK, 

specific heat of 1100 J/kgK and density of 300 kg/m
3
.  It can be seen that fire insulation 

can delay the temperature rise in the steel beam. The thicker fire insulation results in the 

lower temperature of the steel beam. Increasing the thickness from 10 mm to 20 mm can 

reduce the maximum temperature by about 75% for 90 minutes of ISO Standard Fire. The 

lower steel temperature can be also achieved by reducing the specific heat of the fire 

insulation, as shown in Figure 3.3. However, the fire insulation has a small effect at longer 

periods due to the prolonged high temperature overwhelming it.  
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Figure 3.2: Typical steel temperature for the unprotected and protected beam with 

different thicknesses of fire insulation  

 

Figure 3.3: Typical steel temperature for the unprotected and protected beam with 

different specific heat of the fire insulation 

 

3.2.5. Fire insulation delamination 

Previous studies indicated that SFRM could crack and delaminate from steel 

structures during an earthquake. The fire insulation delamination is concentrated in the 

elements where plastic hinges form. In the previous studies, the steel cross-section can be 

assumed to be left completely unprotected in the delamination region. This section 

presents heat the transfer analysis of the steel beam with fire insulation delamination. This 

study is to investigate the heat transfer within the steel beam when fire insulation 

delamination occurs.  
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A 9 m steel beam with a size of UKB457x191x74 is selected as shown in Figure 3.4. 

A three-dimensional finite element heat transfer analysis is conducted to simulate the 

heating condition associated with the Standard Fire. The steel beam with fire insulation is 

modelled using a solid element (DC3D8). The steel is assumed to be protected with a 20 

mm thickness of lightweight insulating material which has a thermal conductivity of 0.2 

W/mK, the specific heat of 1100 J/kgK and the density of 300 kg/m
3
. The length of 

delamination is assumed to be 5% of the member length. In the delamination region, the 

steel is assumed to be unprotected. The surface that contacts the concrete slab is assumed 

not to be heated as shown in Figure 3.4b.  

Figure 3.5 illustrates the predicted temperature distribution of the steel beam. The 

result indicates that there is heat transfer from the delamination region to the part of the 

the protected steel, leading to a considerable reduction in strength and stiffness of the steel 

beam. In order to account for this phenomenon, another length of delamination (10%) is 

examined.  

 

Figure 3.4: Typical steel beam with fire insulation delamination exposed to a fire 
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   Figure 3.5: Temperature distribution of a steel beam with fire insulation 

delamination exposed to Standard Fire for 60 minutes 

 

3.3  Validation  of the numerical model 

Validation is required to show that the results obtained from the finite element 

software capture the relevant mechanics.  In this study, a series of validation studies have 

been conducted by comparing the model with analytical and experimental data. Firstly, a 

nonlinear static pushover analysis was validated with the European calibration frame 

analysed by Vogel (1985). Secondly, thermal-mechanical analyses are carried out to 

simulate the fire event. The results are validated with previous numerical analyses by 

Gillie (2009) and Jiang et al. (2017a). 

3.3.1. Nonlinear static pushover analysis (NSPA) 

As explained in Chapter 2, in NSPA, the building frame is subjected to specific 

lateral load and then the load is increased incrementally until the building collapses or 

reaches target displacement. When the frame is pushed horizontally, the bending moments 

in the elements will increase due to the interaction of vertical load with lateral deflection, 

the so-called P-ȹ effect.  

When a building frame is subjected to lateral load, it will deflect horizontally and the 

bending moments in the members will be increased by the P-ȹ effect, which is the 

interaction of vertical load with horizontal deflection. Furthermore, when the member is 
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bent and deformed, the bending moment will be increased by the P-ŭ effect, which is the 

interaction of axial force on the lateral deflection. To perform pushover analysis, these two 

geometrical secondary effects known as second-order effects must be considered.  

 The development of computer technology has recently supported the plastic hinge 

theory which takes into account distribution of the plastic zone in members. Many 

researchers have developed computer programs in recent years but they encountered the 

problem of how to validate their programs. The European Convention for Constructional 

Steelwork (ECCS) proposed three types of the frame as benchmark problems to 

accommodate the researcher for second-order inelastic analysis (Vogel, 1985). They are 

portal frame, gable frame and six-storey two-bay frame, as shown in Figure 3.6. All 

structural members are hot-rolled steel and the connections are assumed as rigid. The yield 

stress of all members is 235 MPa and Youngôs modulus is 205,000 MPa.  

Since a generic five-storey composite steel frame office building is analysed in this 

study, the six-storey two-bay calibration frame is selected to validate the pushover 

analysis. The frame is subjected to proportionally distributed gravity loads and 

concentrated lateral loads, as shown in Figure 3.1c. In this study, steel beams and columns 

are modelled using 1-D line elements. Eight elements are meshed for each column and 12 

elements for the beam. 

The frames were previously analysed based on the plastic hinge theory by Vogel 

(1985). Comparison in Figure 3.7 shows good agreement with the previous study. The 

maximum capacity is reached at a load factor of 1.11 and 1.09 for the previous study and 

the present study, respectively. As seen in Figure 3.2, the results confirm that the 

modelling approach can be used to perform a pushover analysis that is able to take into 

account the second-order effect.  
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Figure 3.6: The European calibration frames (Vogel, 1985) 

 

 

Figure 3.7: Load-deflection behaviour of the study frame 

 






















































































































































































































